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Abstract

The use of concrete filled steel box columns has been consistently applied in the design of
tall buildings as they provide considerable economy in comparison with conventional steel
columns. Their use allows the adoption of steel or composite floor systems combined with
economically constructed columns. The use of these columns also has considerable advantages
over reinforced concrete columns as they allow higher percentages of reinforcement to be
adopted. In basements of tall buildings where car park space is of premium cost, a reduction
in the column size can provide significant economic benefits. The use of high strength steel
can be applied in these situations. This paper provides an extensive set of experiments on high
strength steel box columns filled with concrete. A numerical model is presented and calibrated
successfully with these tests. Furthermore, comparisons with the Eurocode 4 model for com-
posite columns are also undertaken in this paper and this is found to be unconservative in its
prediction of axial and combined strength. A mixed analysis technique is therefore presented,
which treats the concrete as rigid plastic and the steel as linear elastic. This model is calibrated
well with the numerical model presented and both of these models are found to be conservative
in predicting the test results. 2001 Elsevier Science Ltd. All rights reserved.
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Nomenclature

A area
b steel plate width
B column width
dn neutral axis depth
D depth of column
e eccentricity
E elastic modulus of steel
fc mean compressive strength of concrete
hn height of neutral axis above centroidal axis
k local buckling coefficient
L length of column
M bending moment
N axial force
Nu ultimate axial force
t steel plate thickness
y lever arm
e strain
n Poisson’s ratio
r curvature
s stress
sol local buckling stress
su ultimate stress
sy yield stress

1. Introduction

Concrete filled steel box columns have recently experienced a renaissance in their
use throughout the world in multistorey building construction. This has been promul-
gated by their use in many significant tall buildings where savings in construction
costs are of major importance to the overall project. This last decade has also seen
a plethora of research undertaken into individual member behaviour, together with
these columns as part of entire frameworks.

The use of high strength structural steel has generally been limited in most nations,
however it has been shown to be able to provide significant savings through the
increase in floor areas which column members can provide. Recent research has also
shown that high strength structural steel can be designed according to existing struc-
tural steel standards, particularly if local buckling slenderness limits are adhered to
[1, 2]. Furthermore, Uy and Sloane [3] have shown that the local buckling slender-
ness limits for high strength structural steel can be relaxed when the steel is restrained
by concrete from local buckling as is the case in composite beams in positive bend-
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ing. Uy [4] also illustrated an increase in local buckling slenderness limits for mild
structural steel box columns filled with concrete in an extensive experimental and
numerical study.

High strength fabricated steel columns may be more economical than traditional
steel sections when the axial load demand on columns increases the cross-sectional
size. Design applications have arisen in tall buildings in Australia and Japan where
the use of high strength structural steel was more economical than the use of mild
structural steel, because column dimensions were reduced and floor area was
increased thus providing significant cost savings [5].

This paper presents an extensive set of experiments on the behaviour of concrete
filled high strength steel box columns as illustrated in Fig. 1, which were fabricated
using four steel plates of equal length and thickness and fillet welded at their edges.
These experiments are used to calibrate a numerical model developed elsewhere.
Both the model and the experiments are then compared with the current approach
adopted in Eurocode 4 [6]. This paper will show that whilst the numerical model is
conservative, the Eurocode 4 model needs modifications in order to provide a con-
servative result in estimating the member cross-sectional strength. A mixed analysis
approach is therefore suggested which is found to provide a conservative estimate
of the cross-sectional strength under combined bending and compression and is thus
amenable for design.

2. Experiments

This section outlines three series of experiments undertaken to determine the com-
bined behaviour under compression and bending for high strength steel box columns
filled with concrete.

Fig. 1. Concrete filled steel column cross-section.
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2.1. Test series

Three series of tests were undertaken and these are summarised in Table 1. Each
series had a different plate slenderness limit, however all were considered to be
compact in terms of restrained local buckling slenderness limits and thus no reduction
due to local buckling of the component plates was expected. The local buckling
slenderness limits for high strength structural steel can be determined by using the
local buckling coefficients derived by Uy and Bradford [7], where the local buckling
stress is determined from Eq. (1)

sol5
kp2E

12(1−n2)Sb
tD2

(1)

Now the local buckling coefficient was taken to bek=10.31 as determined by Uy
and Bradford [7] in their study of local buckling of plates in composite members.
The elastic modulus was taken asE=200,000 MPa, and the Poisson’s ration=0.30.
If the nominal yield stress is taken as 690 MPa, the yield slenderness limit is therefore
calculated using Eq. (2), where

b
t
5! kp2E

12(1−n2)sy
5!10.31×p2×200,000

12×(1−0.302)×690
552 (2)

Each of the series had a slenderness limit lower than this and thus the component
plates were considered as compact as highlighted in Table 1. However it should be
pointed out that the yield slenderness limit for the third series of columns is in excess
of that derived for hollow columns. The slenderness limit for hollow columns is 32,
which can be determined by using a local buckling coefficient of 4 in Eq. (2).

2.2. Material properties

2.2.1. Steel
To ascertain the stress–strain behaviour of the steel in both tension and com-

pression, a series of tensile coupon and stub column tests were conducted. The results
of the tensile coupon tests are summarised in Table 2 and those for the stub column
tests are summarised in Table 3. Typical stress–strain curves for these tests are also
illustrated in Figs. 2 and 3, respectively. Furthermore, residual stress measurements
were undertaken using a combination of both electric strain gauges and mechanical
strain gauges across the width of the component plates. From these tests an idealised
stress distribution was established and is shown in Fig. 4. Typical values for residual
stresses were only 5–10% of the yield stress value as summarised in Table 4. This
does, however, represent residual compressive stresses of between 35 and 70 MPa
which can be quite significant when considering elastic local buckling, which would
not occur in the test specimens used in this study.
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Table 2
Steel coupon tensile tests

Specimen number Yield stress,sy (MPa) Ultimate stresssu (MPa)

1 765.3 809.7
2 781.3 816.8
3 796.4 808.9
4 793.7 830.9
Mean 784.2 816.6
Standard deviation 14.2 10.2

Table 3
Steel stub column compression tests

Specimen number Yield stress,sy (MPa) Ultimate stress,su (MPa)

1 757.3 833.0
2 757.3 839.1
3 750.0 779.0
Mean 754.9 817.0
Standard deviation 4.2 33.1

Fig. 2. Stress–strain curves for high strength structural steel in tension.

2.2.2. Concrete
In order to determine the mean compressive strength of the concrete a series of

standard cylinders were crushed throughout the testing period. The results for these
tests are summarised in Table 5 and the mean compressive strengths are also given
for different ages of testing. This was necessary as each series was tested at a differ-
ent age after casting.
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Fig. 3. Stress–strain curve for high strength structural steel in compression.

Fig. 4. Idealised residual stress distributions.

Table 4
Residual stress values

b/t sr/sy

20 0.10
30 0.05
40 0.05

2.3. Experimental set up

2.3.1. Columns
Columns were tested in both pure compression and under combined bending and

compression. In order to ensure a uniform loading surface, columns were cast in
plates with plaster at either end. The eccentrically loaded columns were loaded using
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Table 5
Concrete cylinder tests

Specimen number t (days) fc(t) (MPa) fc(t).average(MPa)

1 28 27.4 28.7
2 28 30.0
3 36 29.4 28.6
4 36 27.7
5 52 30.0 30.3
6 52 30.5
7 54 31.3 31.0
8 54 30.7
9 55 30.8 31.4
10 55 32.0
11 82 32.3 32.3
12 82 32.4
13 88 32.5 32.5
14 93 32.7 32.7
15 93 32.8

a knife-edge at both the top and bottom of the column. The test set-up including
strain gauge and LVDT locations is illustrated in Fig. 5.

Fig. 5. Testing procedure of axially loaded columns.
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2.3.2. Beams
Beams were tested in order to determine the pure flexural strength of the column

cross-sections. A four point bending test was used and this provided a beam in pure
bending, with the presence of shear. The test set-ups highlighting strain gauge and
LVDT locations are illustrated in Fig. 6.

3. Results

This section outlines the results for failure loads and discusses pertinent failure
modes of each of the specimens. For column specimens, load–axial shortening
measurements were all recorded.

3.1. Failure loads

The maximum loads attained by all specimens are summarised in Table 1, where
the maximum applied axial force is denoted byNu. For the columns subjected to
combined bending and compression, the maximum moment was taken as the
maximum axial loadNu, multiplied by the eccentricitye. The lateral deformation of
these columns was insignificant in comparison to the applied eccentricity and thus
did not contribute any secondary moments. The beams tested in pure bending attained
a maximum moment ofMu and this was determined as half of the peak load applied
through the jack multiplied by the length of the shear span.

3.2. Load–axial shortening

Load–axial shortening measurements for each series are presented in Fig. 7.
Maximum loads were obtained from these curves for specimens under pure com-
pression. Furthermore, as the eccentricity was increased the maximum axial load
able to be achieved was reduced and this was the expected result for a column under
combined actions.

Fig. 6. Testing procedure of beams.
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Fig. 7. Axial load–shortening curves of series 1–3.
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Fig. 8. Load–deflection curves of beams of series 1–3.

The curves in Fig. 7 also highlight the ductile nature of failure of all the columns
tested. Once the peak load was reached which was generally characterised by con-
crete crushing on the compressive face of the column, redistribution to the steel
section still allowed sufficient plastic deformations to occur at a fairly high pro-
portion of the peak load.
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3.3. Load–deflection

The load–deflection curves for these columns tested as beams are plotted in Fig.
8. Noteworthy is the fact that all columns behaved in a fairly ductile manner with
a considerable plastic plateau. Furthermore, premature fracture of the welds was not
evident in any of the columns tested.

3.4. Load–strain

The load–strain curves for these columns are useful in determining the onset of
yield as well as highlighting local buckling on the compression faces which was
inelastic in all the columns and beams tested. A typical load–strain diagram for a
column and beam is shown in Fig. 9.

Fig. 9. Load–strain diagrams.
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Fig. 10. Failure modes of columns and beams.

Column HSS1 was tested in pure compression and the load–strain response shows
that uniform loading was achieved. This figure also shows that the load–strain
response was linear up to the peak load of about 1800 kN where compressive yielding
began to take place. Some of the strain gauges also show signs of inelastic local
buckling, which occurred after significant axial deformation had occurred. Beam
HSS6 was tested in pure bending and the load–strain response shows that yielding
began in the bottom fibres at an applied load of about 175 kN. After yielding occurred
in the bottom fibre, compressive failure of the concrete followed which then pro-
moted some compressive yield and local buckling at the region of failure. However,
the strains in the compressive region were not greater than the yield strain when the
failure load had been reached.
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3.5. Failure modes

The main failure modes associated with these columns included local buckling,
concrete crushing, as well as weld fracture. All these failure modes are highlighted
in Fig. 10. Local buckling in all specimens was inelastic and concrete crushing gener-
ally preceded this. At very large strains, weld fracture occurred as highlighted at the
edge of the columns’ adjacent plates shown in Fig. 10.

4. Numerical model

A numerical model developed by Uy [8] was augmented with the constitutive
relationship for high strength steel. Uy [9] also augmented the model for mild steel
thin-walled box columns where local buckling was incorporated in the analysis. Perti-
nent aspects of this model will be briefly described herein which relate to the
implementation of the high strength steel constitutive relationship.

4.1. Method

The numerical model is based on a series of finite slices throughout the depth of
the cross-section as shown in Fig. 11. The slices of each cross-section are assumed
to develop a strain with respect to an applied curvature,r, and the stress–strain
relationships of the respective materials are then assigned to that element. Integration
of the stress over the area of each slice then allows an axial force to be determined.
These forces are then used in the determination of equilibrium of the cross section
using Eq. (3)

N5E
A

s dA (3)

whereN is the applied axial force on the cross-section and Eq. (4) then allows the
determination of the internal bending moment,M, where

M5E
A

ys dA (4)

Fig. 11. Method of slices in cross-sectional analysis.
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Fig. 12. Idealised stress–strain curve for high strength structural steel.

4.2. Stress–strain relationships

4.2.1. High strength steel
The idealised stress–strain curve for the steel shown in Fig. 12 was used where

the yield stress is taken as an average value of 770 MPa based on the average yield
stress for the tension and compression tests. This idealisation is due to the difference
in stress–strain behaviour determined from both tension and compression tests as
illustrated in Figs. 2 and 3. These differences are certain to have been caused through
the build up of residual stresses due to the welding process in the compression
stub columns.

4.2.2. Residual stresses
The idealised residual stresses are shown in Fig. 4 and these reflect the measured

experimental results. These were also incorporated in the analysis by an imposed

Fig. 13. CEB-FIP (1970) stress–strain model.
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residual stress, which was added to the applied loading in each slice. The level of
residual stress imposed was dependent on theb/t ratio and this is outlined in Table 4.

4.2.3. Concrete
The stress–strain law used to model the concrete was that of the CEB-FIP [10]

which provides a continuous function of stress with respect to strain and ignores the
effect of confinement which is considered negligible in rectangular concrete filled

Fig. 14. Calibration of model with experiments.
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columns. This stress–strain law is illustrated for various strengths of concrete in
Fig. 13.

5. Calibration of numerical model with tests

In order to calibrate the numerical model, the experimental moment–curvature
response of each column was compared with that generated from the numerical
model. Typical comparisons are shown for specimens HSS6, HSS13 and HSS19 in
Fig. 14. This figure shows excellent agreement between experiment and model for
the elastic region. Once yielding occurs, the value of peak load is only slightly
overestimated by the numerical model in the case of HSS6. For specimen HSS13
an excellent agreement is achieved for both the elastic and plastic range of structural

Fig. 15. Eurocode 4 model — rigid plastic.
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response. Strains in specimen HSS19 were only measured up to the point of initial
yielding and thus a comparison is not able to be obtained in the plastic range. How-
ever, the numerical model shows excellent agreement for the elastic range of struc-
tural response and the prediction of ultimate moment in the model is slightly less
than that achieved in the experiments.

Fig. 16. Comparison of tests, model and Eurocode 4 (rigid plastic).
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Fig. 17. Modified Eurocode 4 model.

6. Comparison of numerical model and tests with Eurocode 4 — rigid plastic
approach

The Eurocode 4 approach allows the construction of the strength interaction dia-
gram by using a rigid plastic analysis approach as shown in Fig. 15. Its simplicity
in enabling neutral axis depths, axial forces and bending moments to be determined
makes it useful for practising structural engineers. This approach was compared with
the numerical model results and the experiments to see if it is applicable for the use
of high strength steel. The theoretical model is shown to provide a very good com-
parison, which is conservative for all the sets of tests as illustrated in Fig. 16. The
Eurocode 4 model is, however, found to overestimate the test results as it is based
on a rigid plastic analysis, which assumes fully crushed concrete and fully yielded
steel. This is particularly true for the points on the interaction diagram for pure
compression and pure bending.
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Fig. 18. Comparison of tests, model and modified EC4.

Since the EC4 is a design model it may be considered inappropriate in the design
of composite columns utilising high strength steel as it is non-conservative in its
prediction of strength. In order to develop a design model, which is conservative, a
mixed analysis approach was developed.
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7. Comparison of numerical model and tests with modified Eurocode 4 —
mixed analysis approach

The Eurocode 4 approach was modified by using a mixed analysis approach. This
approach assumes the concrete has crushed and the steel is partially elastic, as the
strains at the point of crushing of concrete are significantly less than the yield strength
of the steel in compression. This approach is illustrated in Fig. 17. For the mixed
analysis a greater parity was achieved as shown in Fig. 18 and thus it suggests that
it is more applicable for design than the fully rigid plastic model of Eurocode 4.
The modified EC4 model is shown to be conservative for all points on the strength
interaction diagram for each of the three series considered in the experiments. Thus
due to its conservatism this model would be more appropriate than the EC4 model
when considering the strength of composite columns utilising high strength steel.

8. Discussion and conclusions

This paper has presented a set of benchmark experiments on the use of high
strength steel in composite columns. These tests have then been used to calibrate a
numerical model and have been compared with an existing design procedure in Euro-
code 4 to consider its applicability for design.

The numerical model was shown to be conservative and fairly accurate in its
prediction of the experimental results. However, this model is not amenable for
design, as it requires the development of a computer program. The Eurocode 4
approach which is more amenable for design by hand calculation was shown to be
unconservative and thus would not be applicable in the design of concrete filled steel
columns which incorporate high strength steel. A mixed analysis approach has thus
been proposed which assumes the concrete to be plastic and the steel to be elastic
and it was shown to produce a conservative but reasonable estimate of the cross-
section strength, which is more suitable for design applications.
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